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a b s t r a c t

A pragmatic strain-softening constitutive model, which is based on Modified Cam Clay, was applied to the
simulation of the progressive failure of an embankment constructed on a deposit of sensitive (strain-soft-
ening) clay in Saga, Japan. A comparison of the predictions for this case indicates that if softening is
ignored, only relatively small deflections and consolidation settlements are predicted, especially after
construction. In contrast, for the case where softening is included in the analysis, progressive failure
within the clay induces large shear deformations and finally failure of the embankment is predicted. This
comparison suggests that softening-induced progressive failure should be considered in the design of
embankments on such soils, and the residual strength of the deposit may have an important influence
on the overall factor of safety of the construction. Detailed analyses of predicted excess pore water pres-
sures, shear strains and shear stress levels in the ground indicate that considering the strain-softening
process: (a) is associated with the buildup of excess pore water pressure; (b) promotes strain localization;
and (c) results generally in a larger zone of soil involved in the failure.

� 2009 Elsevier Ltd. All rights reserved.
1. Introduction

Many natural clay deposits exhibit some strain-softening
behaviour, which can affect, for example, the stability of an
embankment and the bearing capacity of a foundation constructed
on this kind of ground. For a deposit with strain-softening charac-
teristics, using its peak strength in design even with a factor of
safety (FS) around 1.5 may still result in failure of the structure
due to progressive softening of the foundation soil. An example
of this situation is the case of the Carsington embankment in the
UK [11]. On the other hand, if the residual strength of the clay is
used in design, particularly for some very sensitive deposits, the
design may be overly conservative. The mobilized strength in a
clayey deposit depends, amongst other factors, on the construction
speed and the scale of the structure, and so in order to arrive at a
safe and economic design it is desirable to investigate the effect of
the strain-softening on the response of the foundation soils and the
behaviour of the structure. This is most conveniently achieved
using a numerical analysis that takes strain-softening into account.

Most existing elasto-plastic soil models for clayey soils have
limited capacity to model strain-softening behaviour. For example,
when considering undrained conditions, the widely used Modified
Cam Clay (MCC) model [12] can only simulate softening for a soil
element in a heavily over-consolidated state with a relatively high
value of the ratio j/k, where k and j are, respectively, the slopes of
All rights reserved.

: +81 952 28 8190.
the virgin loading and the unloading–reloading lines in e � ln p0

space (e is void ratio and p0 is mean effective stress). However,
some normally consolidated clay soils also exhibit strain-softening.
In order to include the effects of softening more generally Chai
et al. [7] proposed a pragmatic approach, based on the MCC model,
to simulate the strain-softening behaviour of clay soils under un-
drained or partially drained conditions.

In this paper, the method proposed by Chai et al. [7] is applied
to the simulation of an embankment on strain-softening soil at
Saga in Japan. In this field case the embankment ultimately failed,
as reported by Takayama et al. [14]. By comparing the predictions
of finite element analyses in which strain-softening was included
with the predictions for the case where it was ignored, the effects
of the strain-softening on the response of the foundation soil and
the embankment behaviour have been identified.

2. Case history of embankment failure

2.1. Site conditions

Around the Ariake Sea in Japan there is a thick soil deposit
known as Ariake clay. This area is famous in Japan for growing rice.
However, largely due to mining-induced land subsidence, the
ground surface had been lowered in some places. In order to raise
the surface elevation and to improve the irrigation system, canals
and creeks, some greater than 2 m deep, were constructed during
the 1970s by excavation, often in conjunction with the construc-
tion of an adjacent road embankment. Due to the low strength of
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Ariake clay there were several reported cases of failure of these
embankments [14]. One of the failure cases was analyzed in this
study to investigate the mechanism of progressive failure involving
strain-softening of the foundation soil.

The site considered in this study is located in Kouhoku-Machi,
Saga, Japan (Fig. 1). At this site, the very soft Ariake clay deposit
is about 15 m thick and the soil profile is as given in Fig. 2 (data
from Takayama et al. [14]). It can be seen that the natural water
content was generally 100–150% and larger than the correspond-
ing liquid limit. In the upper layer (about 6 m thick), the undrained
shear strength was about 10 kPa.

2.2. Brief description of embankment failure

The geometry of the embankment studied here is shown in
Fig. 3 (modified from Takayama et al. [14]). Fig. 3b shows the
dimensions of the embankment before failure. An existing canal
about 1.0 m deep was deepened by excavation to about 1.6 m
and a small road embankment was constructed just beside the ca-
nal. At the toe of the embankment approximately 4 m long woo-
den-piles were installed to increase the stability of the
embankment. The diameters of the wooden-piles were 0.17–
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0.20 m at the head and about 0.15 m at the base, with an average
diameter of approximately 0.17 m. The center-to-center spacing
between adjacent piles was about 1.0 m. Within the top 1.0 m of
these piles, logs with a diameter of about 0.1 m were laid horizon-
tally behind the piles to form a wooden wall. A 0.3 m by 0.3 m rein-
forced concrete-beam was constructed on the head of these piles
(Personal communication with Dr. R. Nakamura, the second author
of the paper by Takayama et al. [14]). At the site, the elevation of
the farm land was raised by first stripping the top soil and filling
with fine sandy soil. The top soil was replaced and then the canal
was deepened and an embankment was constructed. Details of
the construction history are listed in Table 1.

3. Material properties

3.1. Foundation soil

To investigate the mechanism of failure, boreholes were drilled
and undisturbed soil samples were obtained from the slide body
(Fig. 3a) and from an adjacent area that had not experienced fail-
ure. A series of laboratory unconfined compression tests and lim-
ited triaxial unconsolidated and undrained (UU) compression
tests as well as consolidation tests were conducted on the undis-
turbed samples. Fig. 4a–c compare the stress–strain relationships
observed in the unconfined compression tests for soil samples
recovered at depths of 2.8, 4.7 and 6.0 m, respectively, from the
no-failure area (designated as ‘‘Before failure”) and beneath the
failed embankment (designated as ‘‘After failure”). It can be seen
that the compressive strength measured in the unconfined com-
pression tests (qu) reduced significantly after failure at approxi-
mately 4.7 m depth. All unconfined compression test results,
expressed in terms of the measured undrained shear strength
(Su = qu/2) and the axial strain (ef) corresponding to the peak
strength, are summarized in Fig. 5. From these results it can be in-
ferred that the failure surface was located at a depth of about 4.7 m
at the location of the borehole (see Fig. 3a). Based on the observed
locations of cracks and the test results shown in Fig. 5, the loca-
tions of the slip surfaces estimated both by Takayama et al. [14]
and the writers are as indicated in Fig. 3a.

The results in Fig. 4b indicate that the failure process would
have involved strain-softening. The value of qu after failure was
about 50% of the peak value. To investigate further the strain-soft-
ening process, a UU triaxial compression test with a confining pres-
sure of 49 kPa was conducted for the soil samples recovered at a
depth of 4.7 m beneath the no-failure area, and the results are gi-
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Table 1
Actual construction history (after Takayama et al. [14]) and simulated construction procedures.

Actual Simulated

Date Period (days) Activities Stage Period (days) Methods

– – Excavating the old canal (1 m deep) 1 365 No nodal coordinate update and at the end
erase all the displacement

7 – 10/12/1970 4 Removing surface farming soil layer Excavating and replacing the farming soil
layers were not simulated. Assume 10 days for
back filling the equivalent excavated farming
soil layers

11 – 29/12/1970 19 (overlap) Removing subsurface farming soil layer
17/12/1970 – 12/01/1971 26 (overlap) Filling the fine soil
7/01/1971 – 7/02/1971 70 (overlap) Back filling the subsurface farming soil 2 30 Construction of 1.0 m thick fill (update nodal

coordinates)
19/01/1971 – 23/03/1971 Back filling the surface farming soil (5) Due to the overlapping of the activities, the

remaining 0.5 m filling is simulated after
wooden-pile installation and canal deepening

7/02/1971 – Installing the wooden-pile and concrete-beam system 3 1 Change the properties of the corresponding
solid elements from an elasto-plastic to an
elastic material

3/02/1971 – Excavating the canal (from 1.0 m deep to 1.6 m deep) 4 5 The canal was excavated from 1.0 m to 1.6 m
below the ground surface by removing the
corresponding elements

7/02/1971 – Back filling the retaining side around the piles 5 50 In the actual construction, the farming soil
layer was returned, but in simulation,
additional 0.5 m fill material was added. The
farming road was 0.3 m higher than the
farming field

8/02/1971 – Constructing the road embankment
24/03/1971 – 11/04/1971 19 Consolidation and progressive failure 6 19 Consolidation and strain-softening
11/04/1971 – Slope failure
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ven in Fig. 6. It can be seen that the peak strength was mobilized at
about 3% axial strain and the residual strength was reached at
about 7% axial strain, with a magnitude equivalent to about 70%
of the peak strength. It is considered that the result of the UU test
is more reliable than that of the unconfined compression tests, and
in the following finite element analyses the strain-softening
parameters for the deposit were estimated using the results shown
in Fig. 6.

Results of a consolidation test on a sample from the no-failure
area at a depth of 4.7 m are shown in Fig. 7, from which a compres-
sion index (Cc) of about 1.4 can be estimated. The measured values
of coefficient of consolidation (Cv) were 0.03–0.04 m2/day in the
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Fig. 4. Strain–stress curves of unconfined compression tests (data from Takayama et al. [14]).
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Table 2
Physical properties of fill material (data from Takayama et al. [14]).

Property At the end of construction After failure

Water content, Wn (%) 31–32 31–35
Total unit weight ct (kN/m3) 17.2–17.3 1.72–17.6
Dry unit weight cd (kN/m3) 13.1 13.1
Degree of saturation Sr (%) 85 85–91 (88)
Cohesion Cu (kPa) 9.0 7.3
Friction angle /u (�) 6.3 4.8
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over-consolidated range and 0.005–0.007 m2/day in the normally
consolidated range. Considering the over-consolidation range and
using e = 3.5 and rv0 ¼ 19:8 kPa and Cv = 0.04 m2/day, a value of
hydraulic conductivity of 3.16 � 10�9 m/s can be deduced.
3.2. Fill material

The physical properties of the fill material are listed in Table 2.
Takayama et al. [14] conducted UU triaxial compression tests on
the compacted fill material with a dry unit weight of 13.1 kN/m3

and different degrees of saturation. The results are summarized
in Fig. 8. The values of apparent cohesion Cu and apparent friction
angle /u of the unsaturated fill have been interpreted from Fig. 8
and are listed in Table 2.
4. Bearing capacity calculation and slip circle analysis

Before conducting finite element (FEM) simulations of the
embankment loading and failure, it was worthwhile to estimate
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the ultimate bearing capacity (qult) of the foundation soil under un-
drained conditions. As shown in Fig. 2, the undrained shear
strength (Su) of the deposit increases with depth. Davis and Booker
[8] published solutions that may be used to calculate values of qult

for surface footings on soils with Su increasing linearly with depth:

Su ¼ Su0 þ q � z ð1Þ

where Su0 is the value of undrained shear strength at the ground
surface, q is the rate of strength increase with depth, and z is depth.
From the test data shown in Fig. 2, Su0 = 6.4 kPa and q = 0.5 kPa/m
can be estimated. However, since there was an excavation just be-
side the toe of the embankment with a depth from about 0.5–1.6 m
and an average depth of about 1.0 m, it could be argued that it
would be more appropriate to consider the 1.0 m thick surface layer
effectively as an additional surcharge. In this case at 1.0 m depth a
value of Su0 = 6.9 kPa would be more appropriate.

The width of the failure zone from the wooden-pile to the fail-
ure surface in the fill material (left side in Fig. 3a) is about 12 m.
Considering this as the half width of an equivalent ‘‘footing”, an
ultimate bearing capacity of qult = 52.5 kPa can be calculated using
the solutions of Davis and Booker. If strain-softening is considered
and a reduced value of Su0 = 4.8 kPa (70% of the peak value of
6.9 kPa) is adopted, then qult = 40.4 kPa is calculated. The surcharge
loading, including the weight of the embankment fill, is estimated
Table 3
Soil parameters for finite element analysis.

Depth (m) Soils E (kPa) m SR, Cu (kPa) DesL, /u (�)

0.0–1.0 Surface layer – 0.3 0.7 0.04
1.0-2.0 Silty clay – 0.3 0.7 0.04
2.0–6.3 – 0.3 0.7 0.04
6.3–9.0 – 0.3 0.7 0.04
9.0–12.0 – 0.3 0.7 0.04
12.0–14.5 – 0.3 0.7 0.04
14.5� Gravelly sand 20,000 0.25 10 35
Fill 2000 0.30 10 6

Note: E, Young’s modulus; m, Poisson’s ratio; k, slope of consolidation line in e � lnp0 plot;
p0–q plot (q is deviator stress); e0, initial void ratio; ct, unit weight; kv and kh are hydrau
strain-softening parameters; and Cu and /u are undrained cohesion and friction angle.
as being between 41 and 46 kPa, which exceeds the value of qult

computed for the softening case.
Simple calculations of this type indicate that if the foundation

soil does not exhibit softening behaviour, then the embankment
system acting as a footing load would not be predicted to fail. How-
ever, if softening is taken into account and a mobilized strength
equivalent to 70% of the peak value is assumed, then the factor
safety of the embankment when regarded as an equivalent footing
is calculated as less than unity and the embankment is predicted to
fail.

Using the values of Su shown in Fig. 2 for the subsoil layers and
Cu = 9.0 kPa and uu = 6.3 (Table 2) for the fill material, as well as the
total unit weights given in Table 3, slip circle analyses using
Bishop’s method were also conducted. The resulting minimum fac-
tor of safety (FS) is 1.22. However, if values of Cu = 7.3 kPa and
uu = 4.8� are adopted (as in Table 2 for conditions after failure),
and 70% of the undrained shear strength values indicated in
Fig. 2 for the subsoil layers are adopted, a value of FS = 0.88 was ob-
tained. In this case the slip circle corresponding to the minimum FS
just passes the tips of the wooden-piles (about 4 m deep), which is
shallower than the estimated field slip circle suggested by Takay-
ama et al. [14]. Although the values of FS from the slip circle anal-
yses are not exactly the same as those obtained by the bearing
capacity analysis, both analyses indicate the same trend, viz., if
no strain-softening had been involved it is unlikely that the slope
would have failed.

5. Simulating embankment behaviour

The embankment was analyzed by the FEM to investigate the
effect of strain-softening on progressive failure. In the analyses,
the Ariake clay was represented by the Modified Cam Clay (MCC)
model [12] for the cases that include and ignore softening, and
the embankment fill material was simulated by a linear elastic
model. Since there is no information indicating strain-softening
behaviour in the fill material, only softening of the soft foundation
j k M e0 ct (kN/m3) kh (10�8 m/s) kv (10�8 m/s)

0.04 0.43 1.2 2.9 14.0 1.50 1.00
0.07 0.69 1.2 4.1 13.0 4.54 3.03
0.06 0.61 1.2 3.5 13.4 1.50 1.00
0.06 0.61 1.2 3.3 13.5 1.20 0.80
0.05 0.52 2.9 13.9 0.62 0.41
0.04 0.43 1.2 2.5 14.4 0.32 0.21
– – – – 18.0 290 290
– – – – 18.0 15.0 10.0

j, slope of unloading–reloading line in e � lnp0 plot; M, slope of critical state line in
lic conductivities in vertical and horizontal directions respectively; SR and DesL are
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soil was considered using the method proposed by Chai et al. [7].
This method is briefly summarized below.

5.1. Strain-softening model

The soil model proposed by Chai et al. [7] is a simple extension
of MCC. In this model it is assumed that during softening the strain
increments can still be calculated according to the MCC model, i.e.,
there is no volumetric strain increment (Dev = 0) and the shear
strain increment (Des) is indefinite. In a boundary value problem
the shear strain will be limited by (external) kinematic conditions.
However, the effective stress path is forced to follow the projection
of the critical state line (CSL) in a p0–q plot (i.e., q = M p0, where q is
deviator stress and M is the slope of the CSL in the p0–q plot). This
enforcement of the softening stress path is based on experimental
evidence which indicates that during undrained triaxial tests the
effective stress path during the softening phase is often close to
the projection of the CSL in a p0–q plot [1,15].

The conditions for enforcing strain-softening are: (a) the stress
state is on a current yield surface and on the CSL and (b) the shear
strain is increasing and larger than the past maximum shear strain
a soil element has experienced. As shown in Fig. 9, if the incremen-
tal shear strain Des > 0 (path 1 in Fig. 9), then strain-softening will
occur. If Des 6 0 (paths 2, 3 and 4 in Fig. 9), there will be no en-
forced strain-softening and the stress–strain relationship of a soil
element will be fully controlled by the MCC model.

In effect, the soil retains a memory of the maximum shear strain
it has experienced. Unloading from a softening state is an elastic
process, but during reloading, when the shear strain again exceeds
the maximum shear strain previously experienced and the stress
state is on the current yield surface and on the CSL, softening will
commence once again.

During softening it is assumed that for an incremental shear
strain, DesL, the deviator stress reduces towards a residual value
by an amount Dq, as shown in Fig. 10. When the stress state is
on a current yield surface and on the CSL, most of the incremental
shear strain will be plastic. However, for mathematical conve-
nience the increment of total shear strain, DesL, is used to define
the rate of softening.

In Fig. 10, escs and qcs are the shear strain and the deviator stress
when the stress state first reaches the CSL and is also on a current
yield surface. They are determined by the MCC model and not pre-
defined. Since for general loading cases qcs is not known, the value
of Dq can not be properly specified a priori. Therefore, it is more
convenient to use a ratio (SR) between the residual deviator stress
qre and qcs as follows:

SR ¼ qre

qcs
ð2Þ

so that Dq = (1 � SR) � qcs. DesL and SR will be used as two additional
model parameters defining the strain-softening.

Following Carter and Liu [3], it is assumed that during strain-
softening, the yield surface contracts and the effective stress path
qcs
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Shear strain, εs
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Fig. 10. An empirical shear strain versus deviator stress relationship.
is only allowed to move along the CSL. If the stress states at the
beginning and the end of a load increment, are denoted as
ðqb; p

0
bÞ and ðqe; p

0
eÞ, respectively, then qe = qb + Dq and p0e ¼ p0bþ

Dp0ðDp0 ¼ Dq=MÞ. However, for two dimensional (2D) problems
the state of stress is necessarily described by four (4) quantities,
while for three dimensional (3D) problems six (6) are
required. Knowing only qe and p0e, i.e., two stress quantities only,
the general stress state at the end of a load increment can not be
determined.

In order to overcome this difficulty it is assumed that during
softening all stresses reduce by the same proportion with respect
to their values at the beginning of a load increment. For a 2D prob-
lem, this assumption can be expressed as follows:

r0xe

r0xb

¼
r0ye

r0yb

¼ r0ze

r0zb

¼ sxye

sxyb
¼ qe

qb
ð3Þ

where r0x;r0y;r0z are effective normal stresses in the x, y and z direc-
tions, respectively, and sxy is the shear stress in the x–y plane. Eq.
(3) represents four linear equations from which the stress state at
the end of a load increment can be obtained in terms of general
stress variables. Obviously, for a drained triaxial test, linear reduc-
tion of stresses is not applicable when the effective confining stress
does not change. For undrained or partially drained triaxial tests,
linear reduction of stresses is possible. Therefore, the proposed
method is limited to undrained or partially drained loading
conditions.

With the method described above, the stress state at the end of
a load increment is enforced so that overall force equilibrium is not
guaranteed. To maintain equilibrium of a computed stress field,
iteration of this process may be required. Equilibrium is checked
at each load step by inspecting the nodal forces. The arbitrary cri-
terion adopted is that any unbalanced nodal force is less than 1% of
the maximum nodal force or the number of iterations reaches 20.
Generally, small load increments are adopted, typically corre-
sponding to placement of a layer of fill 0.05 m thick.

The proposed method has been incorporated into the CRISP–AIT
program [4], which is based on the original CRISP program [2], and
it has been applied successfully in the past to the simulation of the
strain-softening behaviour of a natural Ariake clay and a lime sta-
bilized Arikae clay [7]. To ensure that the true stress–strain law is
followed closely in the numerical model, the Newton–Raphson
method with an explicit sub-stepping technique that includes error
control [13] has been incorporated into the program, in order to
integrate the stresses in the elasto-plastic range. Using a Sun work
station with a 1.35 GHz UltraSparc processor the simulation of the
problem described here took about 1 h of processor time.

5.2. Model parameters

The adopted model parameters are listed in Table 3 and the as-
sumed initial stresses in Table 4. The value of 2000 kPa for Young’s
modulus of the fill material was estimated as about 200 times its
apparent cohesion, Cu. In Table 4, an initial value of 5 kPa horizon-
Table 4
Initial stress in the subsoil.

Depth (m) r0h0 (kPa) r0v0 (kPa) Size of yield locus p0y (kPa)

0 5 0 27.8
1 7.0 14 27.8
2.0 8.6 17.2 23.5
6.3 16.3 32.68 30.3
9.0 21.3 42.67 39.6
12.0 27.5 54.97 51.0
14.5 33.2 66.47 61.6
20.0 55.8 111.57 103.4
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tal effective stress is assigned at the ground surface in order to
avoid zero or very close to zero effective mean stress for integra-
tion points located very closed to the ground surface, and therefore
to avoid unrealistically low values being calculated by the model
for the stiffness and strength at these shallow locations.

The division of the soil into different layers was made based on
the natural water contents, as presented in Fig. 2. For the MCC
parameters, firstly, the initial void ratio (e0) was evaluated from
the natural water content (Fig. 2) assuming 100% degree of satura-
tion and a unit weight of the soil particles of 26.0 kN/m3. For all
layers, an effective stress friction angle u0 = 30� was assumed,
resulting in a value of M of 1.2. As mentioned previously, only
the consolidation test results at 4.7 m depth were reported by
Takayama et al. [14]. In the Kouhoku area of Saga in Japan, experi-
ence has shown that generally soil layers with a larger e0 value
have a larger k value, and for clay layers near the gravelly sand
layer, the k value is about 0.35–0.43 [6]. Based on this information
and the measured k value at 4.7 m depth and data from a nearby
site [6], the k values for all layers except the surface layer were
estimated. The surface layer is stiffer and unfortunately no test
data is available. Therefore a k value of 0.43 had to be assumed.
In all cases the value of j was assumed as 0.1 k.

A value of hydraulic conductivity of kv = 1.0 � 10�8 m/s was as-
sumed for the soil at 4.7 m depth with a corresponding void ratio
of e = 3.5. This value is about three times the value calculated from
the consolidation test results, but it is well known that laboratory
test will generally underestimate the field hydraulic conductivity
since they cannot usually consider the effects of natural stratifica-
tion on a field clay deposit. In this region, experience has shown
that generally the field values are about 2–4 times the correspond-
ing laboratory values [6]. At other depths the corresponding kv val-
ues were calculated according to their void ratios by using Taylor’s
[16] equation with reference to the value at 4.7 m depth, i.e.,

k ¼ k0 � 10�ðe0�eÞ=Ck ð4Þ

where k0 is the initial hydraulic conductivity, e0 is the initial void
ratio, k is the current hydraulic conductivity, e is the current void
ratio, and Ck is a constant. It has been found that using Ck = 0.4e0,
Eq. (4) worked very well for soft Ariake clay [5,6] and so this value
was used in the present study. For the surface soil layer a value of
kv = 1.0 � 10�8 m/s was assumed. It was further assumed that the
hydraulic conductivity of the embankment fill is 10 times that of
the surface soil layer. For all clay layers the value of the horizontal
hydraulic conductivity, kh, was assumed to be 1.5 times the corre-
sponding vertical value [10]. To investigate the effect of the adopted
values of hydraulic conductivity (k), and therefore the resulting
coefficient of consolidation, on the simulated performance of the
embankment, a limited parametric study was conducted assuming
k values between 0.5 and 1.5 times the values listed in Table 3. The
outcomes of this limited study are discussed below.

In the field the wooden-pile and concrete-beam system acted as
a retaining wall. In the plane strain analysis the row of wooden-
piles was modelled as a wall by solid elements and an equivalent
Young’s modulus of the wall (Ewall) was calculated based on equal
bending resistance, so that:

Ewall ¼
3 � p � D4

16 � B3 N � Epile ð5Þ
Table 5
Model parameters for elemental simulation.

Parameter k j e0 M m

Value 0.61 0.06 3.45 1.2 0.3

Note: r0h0 and r0v0 are initial horizontal and vertical effective stresses, respectively.
where Epile is Young’s modulus of the wooden-pile, D is the diame-
ter of the pile, N is the number of the piles per unit width, and B is
the thickness of the wall. For the case considered N = 1 (i.e., the
spacing between two adjacent piles was 1.0 m), D = 0.17 m, and
B = 0.2 m. By adopting Epile = 8 � 105 kPa [9], Ewall ffi 49; 000 kPa
can be obtained. Considering the fact that the failure surface oc-
curred below the wooden-pile and there was no large relative dis-
placement observed in the field, no joint elements were employed
between the wall and the surrounding soil.

In the strain-softening model, there are two additional soften-
ing parameters needed, i.e., DesL and SR [7]. To calibrate these
two parameters, an elemental simulation considering a soil sample
at 4.7 m depth was conducted. To calculate the initial effective
stresses in the soil element it was assumed that the groundwater
level was 1.0 m below the ground surface, and a value of at rest
earth pressure coefficient, ko, of 0.5 was adopted.

As shown in Fig. 7, the maximum consolidation pressure for the
undisturbed sample at 4.7 m depth is about 29.4 kPa, and an
apparent over-consolidation ratio of about 1.2 can be estimated.
With these parameters, an undrained shear strength (Su) of
8.8 kPa is predicted by the MCC model, which is close to the mea-
sured value given in Fig. 2. Most soft clayey deposits have a crust
layer at the ground surface. For the case considered here, part of
the crust was excavated and back-filled by fine sandy soil with
an apparent cohesion of about 9 kPa (Table 2). The simulated un-
drained shear strength of about 9 kPa (Fig. 2) therefore seems rea-
sonable. The parameters for the elemental simulation are listed in
Table 5. The simulated axial strain versus deviator stress curve is
included in Fig. 6 for comparison. In the FEM analysis, there are dif-
ficulties in simulating a UU triaxial compression condition using
the MCC model (it is unclear what initial effective stress state
should be assigned to the sample). Instead, the simulation was
made assuming consolidated undrained (CU) triaxial compression.
The simulated peak strength and the amount of softening are close
to the UU triaxial test results, but the initial stiffness is different
from that of the tested UU condition. From this comparison, it is
considered that the adopted strain-softening parameters, SR = 0.7
and DesL = 0.04, are reasonable and they were therefore used in
simulating the behaviour of the embankment.

In the field construction, there were overlaps of some of the
activities and for some activities only the start times were recorded
(Table 1). In the FEM simulation, the construction process was sim-
plified as in Table 1, and the process of excavating and restoring
the top soil layer was not considered. As indicated in Table 1, the
fieldwork involved in removing the top soil layer used for farming
started on December 7, 1970 and back filling of the fine soil started
on December 17, 1970 and ended on March 23, 1971, with a total
filling duration of about 96 days. Assuming the time for placement
of the fine soil layer, equivalent to the top soil layer, was 10 days,
then the simulated field construction duration is estimated as 86
days (Table 1). About 19 days after embankment construction, on
April 11, 1971, the embankment failed.

The FEM mesh and boundary conditions adopted in the simula-
tion are shown in Fig. 11. Eight-noded quadrilateral and six-noded
triangular elements were used; a few six-noded triangular ele-
ments are located around the excavation zone (Fig. 11) and some
six-noded triangular elements have also been excavated. In a zone
beneath and around the road embankment and the canal, the size
DesL SR r0h0 (kPa) r0v0 (kPa) p0y0 (kPa)

0.04 0.7 12.5 24.9 27.8
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of the elements is basically 0.5 m in both the vertical and the hor-
izontal directions. Theoretically, this mesh can simulate a shear
band approximately 0.25 m wide. Two cases of simulation with
and without considering the enforced strain-softening were con-
ducted using this mesh and the results are compared in the follow-
ing section. These two cases will be referred to as the softening and
no-softening cases, respectively. It is important to note that the
simulated initial undrained shear strength is potentially the same
in each analysis, so that if the same pre-peak stress paths were fol-
lowed, the mobilized peak strengths would be identical. However,
since strain-softening is likely to alter the effective stress paths in a
boundary value problem, the mobilized peak strengths at identical
locations may not be exactly the same in the two types of analysis.

It is generally considered that for a strain-softening analysis the
results may be mesh size dependent. Initially, analyses were also
conducted with a coarser mesh, adopting a 1.0 m grid spacing in
both the vertical and the horizontal directions. Comparison of the
results of the two sets of analyses conducted with the coarser
and finer meshes provided a simple check on the sensitivity of
the predictions to the mesh size. It was found that for the no-soft-
ening case, there was no significant difference in the predicted re-
sults. However, there were some differences observed in the case
of a softening soil. With the coarser mesh at the bottom of the
wooden-piles (at 4.0 m depth), the predicted shear strains were
not large enough to cause softening, but with the finer mesh they
were (a comparison will be given later in the paper).

Unfortunately, for this embankment there are no detailed field
measurements of settlements and excess pore water pressures in
the ground. Only the overall geometry before and after failure
are known (Fig. 3). Therefore, the numerical results are mainly
compared with each other in order to investigate the effects of
the strain-softening. This is achieved by considering: (1) deforma-
tion and shear strain contours; (2) stress paths for some typical
points within the soil and the shear stress level (SSL), defined as
the ratio of the mobilized shear stress divided by the correspond-
ing shear strength; and (3) the excess pore water pressures gener-
ated in the ground. Comparisons between the overall predicted
displacements and the measured displacements have also been
made.

6. Predictions

6.1. Deformations

The values of deformation presented here exclude those defor-
mations induced by excavation of the old canal. The settlement
versus time curves at points A–H (Fig. 11) are given in Fig. 12a–
h. In Fig. 12a, the results of using lower values of hydraulic conduc-
tivity (k) (half of the values in Table 3) and higher k values (1.5
times of the values in Table 3) are also included for comparison.
The deformed meshes at the end of the analysis are compared in
Fig. 13a and b. The field survey results after the failure have been
incorporated into Fig. 13 as a reference. It can be seen that the
magnitudes as well as the pattern of settlements are significantly
different for the softening and the no-softening cases. The obvious
difference appears at about 30 days of elapsed time (after placing
1.0 m of fill material). After the embankment construction, small
consolidation settlement increments were induced at all points ex-
cept E and F in the no-softening case. However, for the softening
case, it was predicted that after the embankment construction pro-
gressive failure induced much larger settlements under the
embankment at points A, B and C. Even during subsequent consol-
idation some elements softened and transferred their load to sur-
rounding elements, and gradually increased the size of the failure
area and the magnitude of the shear deformations. Although settle-
ments were not monitored in detail in the field, the ground survey-
ing conducted before and after the failure (Fig. 3a) indicate that the
embankment settled about 0.5 m. Even the FEM analysis that con-
sidered strain-softening had limitations in simulating the post-fail-
ure deformation, but nevertheless, the results of the softening case
(Fig. 12a) are closer to the estimated field settlements. Fig. 12a also
indicates that before the end of the embankment construction, the
higher the k values, the larger the consolidation settlement, but
both the lower and higher k value cases result in slightly larger fi-
nal settlements. A higher k value will increase the rate of consoli-
dation and result in stiffer and stronger ground before softening
commences. Therefore, the lower k value case tends to result in lar-
ger softening-induced deformation. However, since the amount of
strength reduction during the softening process is specified as a
percentage of the strength at the beginning of the softening, a
higher strength before the start of softening means a larger amount
of strength reduction during the softening process, and it can also
increase the softening-induced deformation. For point D, at close to
the end of the embankment construction, the deflections started to
rebound slightly. As shown in Fig. 13b for the softening case, on the
embankment side, soil elements above about 4.5 m depth from the
ground surface moved downward as well as to the right (toward
the canal). This kind of deformation pattern appears to correspond
to some unloading at point D resulting in some rebound. On the
excavation side, at points E and F, progressive failure caused large
amounts of heaving in the softening case. The amount of heave is
comparable with the magnitude of settlement at points A and B.
Again, from the survey results before and after the failure, about
1.0 m of heaving at the bottom of the canal can be estimated,
and the results of the softening case are closer to this estimate.
In contrast, at point H after the embankment construction, the
deformation direction changed from heaving to settling. This is
considered to be due to consolidation or perhaps the rightward
movement of the embankment body may have increased the load
acting in the vertical direction at this point.

A comparison of the simulated lateral displacements at the
location of the wooden-pile wall (toe of the embankment) at the
end of analysis is given in Fig. 14. At about 2 m depth, the softening
case produced about twice the lateral displacement of the no-soft-
ening case, and the predicted value is closer to the field movement
of the piles estimated by the location and the inclination of their
heads. From the results of the softening case, a clear indication of
the formation of a potential slip surface at about 4.0–4.5 m depth
can be observed. Below this depth, the lateral displacements in
the no-softening case are generally larger than in the softening
case because the potential slip surface promotes the separation
of the sliding body and the soil mass below it. For the softening
case, the results of the limited parametric study on the effect of
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hydraulic conductivity (k) indicate that the lower the k values, the
larger the lateral displacements because of the lower shear
strength in the ground. Although it seems that the under-predic-
tion of the lateral displacement may be due to possible over-esti-
mation of the k values, we believe the k values adopted are
reasonable and the main reason for the under-prediction is more
likely to be the inability of the proposed method to simulate
post-failure deformation.
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The shear strain contours at the end of the analysis are com-
pared in Fig. 15a–c. Fig. 15c shows the result of using the coarser
mesh for the softening case. Comparing Fig. 15b and c indicates
that the solution for this strain-softening problem, like most cases
of strain-softening, is mesh size dependent, and a finer mesh is
desirable. From Fig. 15a and b, it can be seen that for the no-soft-
ening case, the simulated maximum shear strain under the
embankment is about 8% and there is a small zone under the canal
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where the shear strains are larger than 9%. However, for the soften-
ing case there are larger zones where the shear strains are more
than 9% both under the embankment and the canal, and they are
connected to form a potential slip surface. Fig. 15a and b indicate
that during softening, the softened elements not only transfer load
to the surrounding elements, but also result in shear strain locali-
zation. For the softening case (Fig. 15b), there are zones of larger
shear strain (>9%), but in the foundation the 1% shear strain zone
is smaller than that of the no-softening case (Fig. 15a). In the fill,
the 1% shear strain zone is larger for the softening case than for
the no-softening case, indicating the development of a potential
failure surface through the fill material. Furthermore, in Fig. 15,
the 1–2% shear strain zone for the non-softening case is larger than
that of the softening case, which also indicates strain localization
occurring in the softening case. Fig. 15 presents the results at the
end of the analysis, showing that the large shear strain zone has al-
ready propagated into a large area above the predicted potential
failure surface. In earlier stages, when the potential failure surface
develops as a result of progressive failure, the shear zone is more
localized into a narrow band.

The results presented above indicate that the simulated poten-
tial failure surface is at about 4.5 m depth, which agrees with slip
circle analysis result obtained using Bishop’s method, but shal-
lower than the estimated field failure surface suggested by Takay-
ama et al. [14].

6.2. Stress paths and contours

To check the strain-softening process, the effective stress paths
at points B, C, and D are compared in Fig. 16a and b, and they in-
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clude the stress changes that occurred during excavation of the old
canal. For the no-softening case (Fig. 16a), the stress path at point B
reached the CSL and stayed there. For points C and D, during the
embankment construction process, the stress path moved toward
the CSL, but after that it moved almost horizontally (increasing
the mean effective stress and maintaining the deviator stress).
However, for the softening case (Fig. 16b), at points B and C, the
stress path softened along the CSL. At point C, there is a period dur-
ing which the stress path moved away from the CSL and then pro-
gressive failure transferred some shear load to it and the stress
path moved back to the CSL and then it softened along the CSL.
The progressive failure process also caused the stress path at point
D to move toward the CSL not quite reaching it.

The stress paths at points F, G and H are compared in Fig. 17a
and b. For both the softening and the no-softening cases, the effec-
tive stresses followed close to the k0 line during excavation of the
old canal. During the subsequent embankment construction there
Fig. 15. Comparison of shear strain
are some differences at points F and H. At point F, after the first
layer of fill construction (1.0 m thick) and especially during the
subsequent deepening of the canal, the induced extension load
brought the stress path above the CSL where it probably reached
the yield surface. As a result of adding the final layer of fill material
(0.5 m thick) and construction of the road embankment, the stress
path moved close to the CSL, and further heaving possibly caused
tensile straining reducing both p0 and q, bringing the stress state
toward the origin (zero stress state). For the softening case, during
the consolidation process after the embankment construction, the
stress state reached the CSL and after the enforced softening the
strength reduced to 70% of the value of qcs when the CSL and yield
surface were first simultaneously encountered. As required, the
stress state then remained at this strength level. For the no-soften-
ing case, obviously there was no enforcement of softening and the
stress state moved closer to the origin. At point H, for the no-soft-
ening case the stress state moved toward the CSL almost vertically
contours at the end of analysis.
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(extension loading), but for the softening case, it moved leftward
due to the progressive softening process.

The shear stress levels (SSLs) are compared in Fig. 18a and b for
the no-softening and the softening cases at the end of the analysis,
respectively. The inverse of SSL is the local factor of safety (FS) with
respect to shear failure. There are two noticeable differences, one is
that the zones where SSL = 1.0 and 0.95 under the embankment are
larger for the softening case than they are in the no-softening case,
and the other is that for the softening case there is a small zone
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Fig. 19. Comparison of exces
where SSL = 1.0 in the embankment fill. This suggests that soften-
ing has caused an increase in the overall size of the failed zone.

6.3. Excess pore water pressures

Normally, softening processes increase the excess pore water
pressures (u) in the ground. The simulated variations of u for points
A–D, and F–H are compared in Fig. 19a–g. For point E, after the canal
excavation, a drainage boundary was adopted and so this point is
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Fig. 20. Comparison of the contours of excess pore water pressure at the end of the embankment construction.
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excluded. It can be seen beneath the embankment that except for
point A the values of u for the softening case are indeed higher than
those of the no-softening case. After an elapsed time of about 40
days, at point A the softening case simulated a value of u close to
zero and lower than the no-softening case. This is probably due to
the larger lateral displacements inducing tensile straining at point
A, thus reducing the value of u. At points B and D after the embank-
ment construction, there is no increase of u. This is because at point
B the specified softening was completed before the end of the
embankment construction and at point D, the stress states had
not reached the CSL and so no-softening occurred (Fig. 16a). At
point C after the embankment construction, there was a small in-
crease of u, which indicates that some softening occurred at point
C after the embankment construction. On the excavation side at
points G and H, the final u values are higher for the softening case
than for the no-softening case. At point H, after embankment
construction, there is some increase of u indicating that progressive
failure has caused the transfer of some shear load consistent with
the stress path movement towards the CSL, as shown in Fig. 17b.

The excess pore water pressure contours at the end of embank-
ment construction are compared in Fig. 20a and b for the no-soften-
ing and the softening cases, respectively. It can be seen that for the
softening case the zone with u values equal to or larger than 18 kPa
is larger than that for the no-softening case. The results presented in
Figs. 19 and 20 clearly demonstrate that the process of strain-soft-
ening and induced progressive failure has involved a gradual in-
crease in the excess pore water pressures in the softening zone.

7. Conclusions

A pragmatic strain-softening model proposed by Chai et al. [7],
based on the Modified Cam Clay model, was applied to the simula-
tion of progressive failure of an embankment on a sensitive clay
deposit at Saga in Japan. By comparing the results of analyses with
and without enforced strain-softening, the following conclusions
can be drawn.

(1) The strain-softening method is capable of simulating the pro-
gressive failure mechanism for the embankment on the soft
clayey deposit. For the case considered, progressive failure
developed after the embankment construction and induced
large shear deformations which finally led to failure of the
embankment. Therefore, for such deposits progressive failure
induced by strain-softening should be considered in design,
and the residual strength of the deposit may have a significant
influence on the overall factor of safety of the construction.

(2) Detailed analyses of the excess pore water pressures, shear
strains and shear stress levels induced in the foundation soil
indicate that the strain-softening process involved the
buildup of excess pore water pressure, promoted strain
localization and was associated with the development of a
larger failure zone.
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